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Abstract The performance of heavy-timber structures in earthquakes depends strongly

on the inelastic behavior of the mechanical connections. Nevertheless, the nonlinear

behavior of timber structures is only considered in the design phase indirectly through

the use of an R-factor or a q-factor, which reduces the seismic elastic response spec-

trum. To improve the estimation of this, the seismic performance of a three-story

building designed with ring-doweled moment resisting connections is analyzed here.

Connections and members were designed to fulfill the seismic detailing requirements

present in Eurocode 5 and Eurocode 8 for high ductility class structures. The perfor-

mance of the structure is evaluated through a probabilistic approach, which accounts
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for uncertainties in mechanical properties of members and connections. Nonlinear

static analyses and multi-record incremental dynamic analyses were performed to

characterize the q-factor and develop fragility curves for different damage levels. The

results indicate that the detailing requirements of Eurocode 5 and Eurocode 8 are

sufficient to achieve the required performance, even though they also indicate that

these requirements may be optimized to achieve more cost-effective connections and

members. From the obtained fragility curves, it was verified that neglecting modeling

uncertainties may lead to overestimation of the collapse capacity.

Keywords Fragility Functions, Ring-Doweled Connections, Seismic Assessment,

Timber Moment Frames

1 Introduction

The performance of timber structures under intense earthquake ground shaking de-

pends strongly on the type of failure modes, and in particular, their ductility (Blass

et al 1994). The failure of timber elements is usually brittle, whereas the failure of

connections between timber elements can be ductile. Design recommendations for

timber structures focus mainly on the formation of inelastic deformations on con-

nections by increasing the slenderness of connectors, guaranteeing that failure occurs

after yielding of the connectors, and thus enhancing the capacity of joints to withstand

large inelastic deformations without rupture. The common analyses methods for the

design of multi-story timber buildings in seismic regions do not consider explicitly

the inelastic behavior of joints. Since nonlinear dynamic analyses are time consum-

ing and imply high computational efforts, it is common for practicing engineers to

design timber framed structures through static analyses, simplified dynamic analyses

(or equivalent static), and multi-modal response spectrum analyses (Foliente 1997).

During the design of timber structures, according to Eurocode 8 (CEN 2013), the

capacity of a specific structure to dissipate energy is taken into account by considering

a behavior factor q, which affects seismic loads by reducing the linear elastic seismic

response spectrum. The q-factors considered in EC8 are prescribed considering three

classes of ductility: low (DCL), medium (DCM), and high (DCH). Such levels are
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dependent on the structural typologies and their local and global ductility. The q-

factor is a function of the ductility of the structure, which depends on its redundancy

and the ductility of elements and connections. Local ductility is associated with the

capacity of joints to undergo large deformations without failure. Large displacements

can be developed in connections when slender dowels are used and adequate detailing

is provided to prevent brittle failure modes such as splitting. Global ductility is related

to the ability of the structural system to remain stable, exploiting its redundancy, after

yielding of the joints (Jorissen and Fragiacomo 2001). These principles can lead to a

reserve in strength and ductility while preventing significant structural damage.

According to Fajfar (1996) the behavior factor q is dependent on the ductility

factor, Rµ, which represents the dissipative capacity of a structure, and the so-called

overstrength,RΩ , defined as the ratio of the actual strength to the design strength. Mi-

randa and Bertero (1994) provided a basic definition of the ductility factor Rµ while

reporting the influence of specific elements on its value. In Vidic et al (1994) and Mi-

randa and Bertero (1994) it is suggested that the ductility factor depends on the prin-

cipal elastic period of the structure and the type of soil. On the other hand, several au-

thors, including Mitchell and Paultre (1994), Humar and Rahgozar (1996), and Park

(1996), provided discussions regarding the inclusion of overstrength values in the de-

sign of structures. These contributions are the basis of the overstrength factors used

to compute the behavior factor q prescribed in the present seismic design codes.

Contrary to what happens in the case of steel and reinforced concrete structures,

the q-factor values suggested in EC8 for timber structures do not account for the over-

strength factor and structural specificities (e.g connection types). On the other hand,

only the more common timber building systems are mentioned in EC8, which means

that there is an absence of values regarding innovative systems such as the ones con-

sisting of heavy-timber frame structures built with cross-laminated timber (CLT) or

moment resisting frames. Nevertheless, the contributions of several authors, includ-

ing Andreolli et al (2011), Cecotti et al (2013) and Gavric et al (2015), have provided

studies on ductility and overstrength properties of innovative structural systems that

make use of CLT. For example, in Cecotti et al (2013), the behavior factor q of a

seven-story full-scale CLT building was computed. The approach used to calculate



4 Leonardo G. Rodrigues Jorge M. Branco∗ Luı́s A. C. Neves and Andre R. Barbosa

the q-factor was proposed in Cecotti and Sandhaas (2010), where the q-factor is given

by the ratio of the peak-ground acceleration (PGA) observed in full-scale tests, for a

previously defined near-collapse state, and corresponding PGA used in the design. A

mixed analytical-experimental procedure was presented in Pozza (2013), by exploit-

ing the results of cyclic tests, which was applied to several building typologies. The

procedure proposed in Pozza (2013) combines quasi-static pushover tests of repre-

sentative walls and analytical models to establish capacity curves. In this study, the

q-factor is given by the ratio between the peak-ground acceleration of the ultimate

spectra and the yielding spectra (Fajfar 1996).

Despite the remarkable results obtained so far, there is an absence of studies

where material uncertainties are considered to compute the ductility properties of

timber structures. Timber as a natural material presents a high variability in its me-

chanical properties (Faber et al 2011), which contributes directly to an increase in

the uncertainties associated with the expected strength and peak drift capacities of

timber structures. Therefore, it is crucial to develop studies that account for material

uncertainties as well as the uncertainties associated with the seismic loading (Foliente

1997).

1.1 Numerical modeling of cyclic behavior of timber connections

The numerical models available in the literature for modeling steel connections in

timber structures can be classified into three levels, ranging from micro-level to

macro-level. In micro-scale models the hysteresis deformation of single connectors is

modeled (Foschi 2000). The meso-models simulate the behavior of entire connections

built with several fasteners (Rinaldin et al 2013). Macro-scale models can be used to

represent the behavior of wood shear walls (Dean et al 1986), diaphragms (Falk and

Itani 1989) or complete structures themselves (Foliente 1995). To analyze moment-

resisting timber frame structures under dynamic loads, meso-level models can be used

to capture the behavior of connections and timber elements without disproportionate

computational costs. These meso-level models include the use of nonlinear springs
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that capture the macro response of connections and linear beam-column elements for

the structural members.

Laboratory test results are essential to calibrate numerical models and assess their

adequacy to capture the degradation modes exhibited by moment-resisting joints. The

experimental tests presented in the literature show that the cyclic response of such

connections often present a pinched behavior with stiffness and strength degradation

(e.g. Folz and Filiatrault (2004), Chui and Li (2005), Polastri et al (2013)). Con-

sequently, the numerical model used to represent the joints must incorporate these

features to reproduce the expected progressive weakening of timber structures due to

strong ground motions. The degradation modes observed in timber moment-resisting

joints, used in heavy timber structures, share many similarities with those observed in

reinforced concrete and steel structures allowing the use of models originally devel-

oped for other materials, such as the ones in Foliente and Mohammad (1996); Ibarra

et al (2005).

The main challenge in modeling the connection behavior consists in choosing

a hysteretic model and in the calibration of the associated model parameters. The

Open System for Earthquake Engineering Simulation (OpenSees) finite element plat-

form (McKenna et al 2009) includes several hysteretic models that have already been

used to model the cyclic behavior of timber connections and structural systems. The

Bouc-Wen-Baber Noori (BWBN) model was used by Foliente (1995) to generate a

general hysteresis model for wood joints and structural systems, incorporating stiff-

ness and strength degradation with pinching effect. A more general phenomenologi-

cal model that captures the pinched cyclic strength and stiffness degradation of ply-

wood panels was developed in Ibarra et al (2005). Another model that can be used

to represent the pinched hysteretic response of timber connections is a beam-column

joint model proposed by Lowes et al (2003), which was implemented in OpenSees

as Pinching4 force-deformation model. Although originally developed to simulate

reinforced concrete beam-column joints, Pinching4 was also used to perform a seis-

mic reliability analysis of a Timber-Steel-Hybrid-System (Zhang et al 2015) due to its

ability to represent a pinched load-deformation response and to enable three modes of
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cyclic degradation: unloading stiffness degradation, reloading stiffness degradation,

and strength degradation.

Despite the lack of a database of experimental results for moment-resisting con-

nections between timber elements, existing experimental results indicate that these

connections are able to dissipate energy during cyclic tests without significant strength

reduction. One of possible moment-resiting connections in timber frame structures is

known as the ring-type doweled connection (Bouchaı̈r et al 2007). Bouchaı̈r et al

(2007) studied the distribution of loads among fasteners of a ring-type doweled con-

nection. The authors compared theoretical results with experimental monotonic tests

in terms of stiffness and strength properties. Ring-doweled joints were also the sub-

ject of an experimental campaign (Polastri et al 2013) that comprised monotonic and

cyclic reversal tests to study the effectiveness of different joint patterns and their ca-

pacity to satisfy the criteria for DCH structures presented in EC8. One of the joint

patterns studied in Polastri et al (2013) is used to calibrate the analytical model pre-

sented in this paper.

Using a bilinear model, Polastri (2010) characterized the q-factor for structures

built with ring-doweled moment connections. However, the work in Polastri (2010)

did not account for strength and stiffness degradation nor material uncertainties,

which could be important to account for uncertainty in the capacity of connections.

1.2 Fragility curves for timber structures

A fragility curve is a conditional distribution of the probability of exceeding a specific

threshold (e.g. drift, damage, or collapse) as a function of one or more hazard inten-

sity measures (e.g peak-ground acceleration, spectral acceleration at a fundamental

period of the structure). In essence, a fragility curve FR is defined as the conditional

probability of the structural demand parameter (D) exceeding the structural capacity

(C) for a given level of intensity measure (IM ) of the hazard :

FR = P [D > C|IM ] (1)
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Fragility curves can be developed using four different approaches: expert judg-

ment, empirical methods, analytical methods, or hybrid methods that combine in

some form the first three approaches (Porter 2015). Fragility curves are commonly

assumed to follow a lognormal cumulative distribution function (e.g. Rosowsky and

Ellingwood (2002), Porter et al (2007), Baker (2015)). The parameters of analytical

fragility functions can be determined through different methods. Monte-Carlo simu-

lation is the most widely used method due to its simplicity and robustness. For this,

samples of the random variables are generated from their joint probabilistic distri-

butions. The limit state function considered is evaluated for each realization that is

treated as a deterministic quantity (Rubinstein and Kroese 2011). In order to achieve

a robust fragility function, it is necessary to perform a considerable number of numer-

ical simulations, which, when combined with nonlinear finite element models, may

require very high computational efforts. Such drawbacks can be partially overcome

by using efficient sampling methods such as Latin Hypercube Sampling (Melchers

1999) or other methods described in Baker (2015).

To assess the response of light-frame timber constructions, several seismic fragility

analyses are available in the literature (e.g. Lee and Rosowsky (2006), van de Lindt

and Dao (2009), Sutley and van de Lindt (2016)). Seismic fragility curves for shear

wall systems, typically found in residential construction were developed in Li and

Ellingwood (2007) for three performance levels, including Immediate Occupancy

(IO), Life Safety (LS), and Collapse Prevention (CP). The authors considered both

demand and capacity related uncertainties, accounting for record-to-record variability

due to ground motion accelerogram amplitude and phasing and the effect of openings

in the shear walls, known as SAWS. The variability of strength, stiffness, and various

hysteretic parameters of a macro-model (Folz and Filiatrault 2001) were considered

in Yin and Li (2010). In Yin and Li (2010), it was possible to understand the impact

of aleatoric and epistemic uncertainties on the fragility functions. However, the study

only considered typical one-story residential buildings with reduced collapse risk.

Even though extensive work has been performed to develop fragility curves for

light-frame constructions, limited research has focused on the development of fragility
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curves for heavy-timber structures, and especially for those designed with ring-doweled

moment resisting connections.

1.3 Objectives

The main objective of this paper is to evaluate the performance of heavy-timber struc-

tures designed with ring-doweled moment resisting beam-column connections. The

performance is evaluated based on characterization of the behavior factor q using

a large number of nonlinear structural analyses, which account for uncertainty in

mechanical properties of members and connections. This paper involves the use of

pushover analyses and multi-record incremental dynamic analyses (Vamvatsikos and

Cornell 2002), where nonlinear analytical models account for the post-yielding be-

havior of calibrated moment-rotation connections models. Secondary objectives of

this paper are the definition of interstory drift limit states, assessment of the distribu-

tion of q-factors, and the development of fragility curves for different damage state

levels, including IO, LS, CP, and Global Collapse (GC) accounting for both material

and seismic loading uncertainties.

2 Methodology

A three-story timber moment-resisting frame designed with ring-doweled connec-

tions is used as a case study in this paper. The structure had been designed in Cal-

legari (2009) and was here re-checked using a modal response spectrum analysis,

following EC8 and Eurocode 5 (CEN 2005a), for a site located in Lisbon, Portugal.

The structure was designed to verify the requirements for a DCH structure according

to EC8.

The assessment of the q-factor and the fragility curves involves the use of non-

linear static and nonlinear dynamic analyses. The analytical models were built in

OpenSees (McKenna et al 2009), using meso-level connections models that incorpo-

rate strength and stiffness degradation under cyclic loads.
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In the nonlinear finite element model development, the first task included fitting a

constitutive moment-rotation model to capture the fully reversal cyclic experimental

results in Polastri et al (2013). The constitutive model selected was the Pinching4

model. Considering the designed structure, all numerical analyses account for uncer-

tainties in the member mechanical properties and material parameters that influence

the strength and stiffness behavior of the connections (yielding moment and elastic

stiffness). Uncertainties in the post-yielding behavior of moment-resisting connec-

tions were also considered by varying the parameters used to define the envelope

curve of the Pinching4 model. It is worth noting that the variability of the member

properties also affect the strength and stiffness parameters of the moment-rotation

model used for the connections, thereby having a direct impact on the dynamic prop-

erties of the structure and consequently their response when subjected to ground shak-

ing. The Latin Hypercube Sampling (LHS) was used in this study to generate a set of

1000 structural models, in which each structural model corresponds to a realization of

the random variables used to define the structural model. Using the correlation matrix

proposed in the Probabilistic Model Code (PMC) (Köhler et al 2007), intra-element

correlation of the member properties was considered. Moreover, inter-element corre-

lation was also assumed. More details are provided in section 3.

To address the impact of modeling uncertainties, two structural models, in which

median parameters and design parameters were assigned, were subjected to the same

analysis, for comparison purposes. Henceforth, these structural models will be de-

nominated as ”median structure” and ”design structure”, respectively. It is worth not-

ing that there is no spatial variability of members and connections properties on both

median structure and design structure. Moreover, it is important to stress that the

post-yielding rotations of the design structure were computed considering the char-

acteristic value of the parameters used to define the envelope curve of the Pinching4

model.

Displacement controlled nonlinear static pushover analyses were performed in

order to assess the impact of modeling uncertainties on the q-factor and on the seismic

resistance of the timber moment-frame and to define damage state levels. The lateral

load distribution, for each structural model is based on the the first vibration mode
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configuration of that specific structural model realization and a vector of lateral loads

{pi} were applied at floor level i, as given by:

{pi} = {M} {φi} (2)

where {M} is the lumped mass matrix, and {φi} is the normalized first mode nodal

displacements. The lumped masses are assigned to the points coincident with the

intersections between beams and columns, at each floor level. The control node is

positioned at the roof and a displacement increment of 0.001 m is considered at each

analysis step.

The seismic loading uncertainties were combined with the modeling uncertain-

ties performing an IDA study for the set of analytical models generated with LHS

method. Henceforth, this set of analytical models will be designated as ”structural

set”. An IDA study is accelerogram and structural model specific (Vamvatsikos and

Cornell 2002). It consists in subjecting a structural model to an accelerogram of in-

creasing intensity. Consequently, it is necessary to consider several accelerograms to

account for ground motion record-to-record variability. The records used are selected

in section 3. The intensity measure (IM) adopted was the ”first mode” spectral ac-

celeration (Sa(T1, 2%)) and the engineering demand parameter (DMP) chosen was

the peak interstory drift ratio. The selection of Sa(T1) as an IM follows suggestions

by Shome (1999) and Baker et al (2008). Other authors have also provided discus-

sions on the topic, including Barbosa (2011), Faggella et al (2013), Mollaioli et al

(2013), and Donaire-Ávila et al (2015) and have shown that Sa(T1) corresponds to a

good predictor of the structural response, both for linear and nonlinear response.

During an IDA, the global collapse of a structural model is related with dynamic

instability (Vamvatsikos and Cornell 2002). In this work, it is assumed that an IDA

curve reached dynamic instability when its slope is lower than 20% of the initial

(elastic) curve.

The total number of IDA curves developed corresponds to the product of the num-

ber of models in the structural set (NSim = 1000) and the number of ground motion

records considered (NGMR = 24). Considering approximately 30 intensity levels, the

total number of nonlinear dynamic analyses performed was approximately 720,000.
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To reduce computational time, a sequential version of OpenSees and a batch-queue

system called HTCondor (v7.8.0) was used (Ribeiro et al 2014). From the results

obtained from multi-record IDA, the variability of structural responses due to both

epistemic and aleatoric uncertainties was thus evaluated. The effect of considering

modeling uncertainties was also assessed by comparing the results of the structural

set with the results obtained for a structure in which the median parameters were

assigned for mechanical properties of members and connections.

Damage state levels were defined using the peak interstory drift ratio as the limit

state parameter, which is tied to the behavior of the moment-resisting connections

or the building capacity curve, which is defined as the base-shear versus roof dis-

placement. It is assumed that the IO damage state is reached when any connection

exceeds the yielding point. In turn, the LS damage state is reached when any con-

nection exceeds the deformation associated with the capping point. Finally, for the

CP damage state, it is assumed that it is reached when the descending branch of the

building capacity curve passes below 80% of the peak building strength capacity. The

GC damage state is exceeded when an IDA curve reaches dynamic instability.

Fragility functions were defined for different damage state levels, based on the

multi-record incremental dynamic analysis. These fragility functions were obtained

by fitting a lognormal distribution to the values of intensity measure (spectral acceler-

ation) that caused the exceedance of a predefined demand threshold values associated

with different damage state levels (IO, LS and CP) considered. In addition, the impact

of modeling uncertainties on the GC damage state fragility curves is evaluated. More-

over, incremental dynamic analysis and fragility curves were analyzed for different

q-factor levels. A disaggregation process, which consists in aggregating the structural

models according to their values of measured q-factors, was followed by the analysis

of the common incremental dynamic analysis and fragility curves in each group.
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3 Case study: A three-story heavy-timber frame with ring-doweled

moment-resisting beam-column connections

3.1 Description of the structure

The structure under analysis is a residential three-story timber building designed with

GL24h elements. The GL24h correspond to glued laminated timber with materials

defined per EN14080, with characteristic bending strength equal to 24 MPa and a

mean value of modulus of elasticity of 11.5 GPa. The plane frame structure has two

6-meter long bays in the X-direction and three 3-meter high stories (Figure 1(a)). The

columns consist of two elements each with a rectangular cross-section of 160 mm by

600 mm. The beams consist of a single rectangular glulam element with a cross-

section of 120 mm by 600 mm. The connections between columns and beams are

executed with a ring-doweled joints with two layers of connectors, as shown in Figure

1(b). The first layer of connectors is composed by 10 dowels located 165 mm from

the center, and the second layer by 16 dowels located at a radius of 240 mm. All

dowels are M4.6 dowels with a diameter of 12 mm. At foundation level, columns are

considered as hinged supports. Braced timber frames ensure lateral resistance in the

perpendicular out-of-plane direction. To tie the structure together, these elements are

fastened with screws to the main beams. Moreover, diagonal steel bars are connected

to the columns at floor level, as presented in Figure 1(d).

The floors consist of a low weight solution frequently used in residential build-

ings in Europe. The top layer is parquet that is placed over a leveling 20 mm thick

layer of mortar, followed by 18 mm thick Oriented Strand Boards (OSB) fixed to the

GL24h joists with a cross-section of 120 mm by 200 mm. The joists are covered by

a wood cover and plasterboard on the underside, and connected with screws to the

main beams as shown in Figure 1(e). The model assumes that the floors respond as

rigid diaphragms due to their large in-plane stiffness.

Their connection and in-plane stiffness of the floors allows to consider them as

rigid diaphragms. For the sake of brevity, further information on the design can be

obtained from Callegari (2009).
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Fig. 1 Moment-resisting frame structure:(a) elevation; (b) ring doweled joint - elevation; (c) ring doweled

joint - cross section; (d) floor plan; (e) floor components; (f) joist connection

Considering the median density of the materials and their thicknesses, the weight

of the floor is taken as 1.37 kN/m2. The characteristic value of 2 kN/m2 is considered

for the floor live load, according to Eurocode 1 (CEN 2002).

The design considered serviceability limit states and ultimate limit states from

EC5 and EC8. Nevertheless, the governing loading for the beam column connections

used was the seismic loading.

The floor loads will be assumed as deterministic, and inertial effects of these

loads were considered on the seismic assessment as prescribed in EC8. The combi-

nation coefficient (ψEi ) was considered for variable loads to account for a reduced

participation of their mass, which depends on the quasi-permanent coefficient (ψ2)

for variable loads, and is given by:

ψEi = ϕ · ψ2i (3)
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In equation (3), the parameter ϕ is related to the story occupancy. The value as-

sumed is equal to 0.8, which is the value prescribed for stories with correlated oc-

cupancies. For residential buildings the quasi-permanent coefficient is equal to 0.3.

Consequently, the mass related with variable loads is computed considering an uni-

formly distributed area load of 0.48 kN/m2. There is no reduction for permanent

loads and consequently the area load considered to compute the structural mass is

1.37 kN/m2.

3.2 Finite element modeling and analysis

The beams and columns were modeled using linear elastic frame elements connected

with zero-length springs (Pinching4), as shown in Figure 2(a), to account for the

rotational stiffness of moment-resisting joints. Geometric non-linearities are incor-

porated in the form of P −∆ effects. Rayleigh damping is assumed and a damping

ratio ξ = 0.02 is assigned to the first and second vibration modes. It is worth noting

that the Rayleigh viscous damping ratio is assigned to the model to account for en-

ergy dissipation that cannot be directly captured in the analytical model (e.g. friction

at steel connections and stressing of nonstructural elements). In addition, the energy

dissipation due to the hysteretic response of the connections are explicitly accounted

for in the Pinching4 model when performing the nonlinear analyses.

The Newton-Raphson method is used to solve the nonlinear algebraic system of

equations. The tolerance adopted is 10−8 on the inner product of the unbalanced

load and displacement increments at each iteration (Chopra et al 1995). Newmark

integration was used considering γ = 0.5 and β = 0.25, which results in the aver-

age acceleration method (Newmark 1959). The time step adopted for the transient

analysis is 0.002 seconds.

A preliminary study comprised the evaluation of brittle failure occurrences. This

assessment involved performing nonlinear dynamic analysis, where the structure was

subjected to different time history records. After each analysis step, the occurrence of

brittle failures was checked through a set of user implemented algorithms written in

tcl/tk (Welch 1995). The brittle failure modes considered are related with axial forces,
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shear forces and bending forces of timber members. The safety of timber elements

in terms of shear stresses was verified through the equation (6.13) of EC5. The flex-

ural resistance of beams was verified according to section (6.3.3) of EC5, where the

lateral torsional stability is also considered. The columns were verified for combined

bending and axial tension and combined bending and axial compression, in agree-

ment with the verifications included in sections (6.2.3), (6.2.4) and (6.3.2) of EC5.

The shear strength of dowels was checked by considering the embedment failure

modes correspondent to equations (8.7 g) and (8.7 h) of EC5. Given the EC8 require-

ments for DCH structures in terms of size members, the verifications prescribed in

EC5 for axial forces, shear forces and bending forces were verified with high safety

margins. Thus, in order to improve computational cost-efficiency these verification

were avoided during the nonlinear dynamic analysis performed for the incremental

dynamic analysis.

3.2.1 Analytical model for hysteretic behavior of joints

A Single-Degree-Of-Freedom (SDOF) model was used to calibrate the parameters

of Pinching4 model based on the results of fully reversal cyclic rotational tests from

an experimental campaign performed at University of Trento (Polastri et al 2013).

The Pinching4 model was used to construct an uniaxial pinched load-deformation

response with degradation under cyclic loading. The Pinching4 model is defined by

a response envelope, unload-reload rules, and three damage rule that control evolu-

tion of these paths. The calibration consists in the definition of four model states,

the rules that control changes between states, and the rules that govern evolution of

states. Each state is defined by moment-rotation (M−θ) pairs which define the limits

of each state. Given the test results, shown in Figure 2(c), a symmetric behavior was

assumed and consequently the same backbone-curve for both directions was consid-

ered. The response envelope obtained experimentally was fitted by defining the points

I to IV , shown in Figure 2(b). The calibrated moment-rotation values used to define

the backbone curve are presented in Table 1.
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Table 1 Points used to define the backbone curve

Point Mi [kN.m] θi [rad]

I 83.9 0.012

II 114.5 0.034

III 128.6 0.068

IV 16.8 0.129

The points where reloading begins, shown as points V I and IX in Figure 2(b),

depend on the ratio between the rotation at which reloading begins and the maxi-

mum historic rotation demand (rDisp), and the ratio between the strength at which

reloading begins and the maximum historic strength demand (rForce). The moments

corresponding to points V and V III are dependent on the ratio of strength developed

upon unloading from negative (positive) load to the maximum (minimum) strength

(uForce). The parameters rDisp, rForce, and uForce were assumed equal for both

directions given the symmetric response of the connection observed in the testing

results. The calibration of these parameters account for the energy dissipated per

cycle and also the fitting of the position of points V to IX to match experimental

results. Hysteretic damage is simulated through degradation of unloading stiffness,

degradation in strength developed in the vicinity of the maximum and minimum rota-

tion demands (strength degradation), and degradation in stiffness (reloading stiffness

degradation). The form assumed for each damage rule is the same and represents a

more general version of the damage index proposed in (Park and Ang 1985). Each

damage index, δi defined in the Pinching4 model is given by:

δi =

(
α1 ·

(
d̃max

)α3

+ α2 ·
(

Ei
Emonotonic

)α4
)

(4)

where d̃max is given by:

d̃max = max
(
dmax,i
defmax

,
dmin,i
defmin

)
(5)

and where i refers to the current displacement increment, αi are parameters used to fit

the damage rules to the experimental data, E is the hysteretic energy and Emonotonic

is the energy required to achieve failure under monotonic loading. The values defmax
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and defmin are, respectively, the positive and negative deformations that define fail-

ure, and dmax,i and dmin,i are, respectively, the overall maximum and minimum

deformation demands achieved until increment i. In Mazzoni et al (2005) and Park

and Ang (1985), each parameter of Pinching4 model is presented with more details.

To find the parameters that define pinching and degradation behavior, it was nec-

essary to approximate the numerical model to the experimental results in terms of

median strength degradation measured in three completed cycles at the same maxi-

mum rotation level. Based on the calibration performed, the parameters αi used to

model strength degradation, reloading stiffness and unloading stiffness degradation,

are presented in Table 2. Additional parameters obtained from the calibration are

rDisp = 0.60, rForce = 0.50, and uForce = 0.05. Figure 2(c) shows a good approx-

imation of the Pinching4 model adopted to the experimental results, both in terms

of hysteretic response and strength degradation. Moreover, the approximation be-

tween experimental and analytical results can also be evaluated in terms of dissipated

energy, as shown in Figure 2(d), where the maximum relative error determined was

18%, although it can be seen that the difference is mainly due to the energy dissipated

in the initial cycles with is not as well captured by the model or could be associated

with damping in the experimental setup.

Table 2 Parameters used to model the degradation

Parameter δdi δfi δki

α1 0.05 0.05 0.10

α2 0.05 0.05 0.10

α3 2.00 2.00 1.00

α4 0.10 0.10 0.50
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Fig. 2 Numerical model of moment-resisting joints (a) OpenSees model for moment-resisting joint; (b)

Pinching4 parameters; (c) Experimental test and numerical results; (d) Energy dissipated: test vs numerical

results

3.3 Basic random variables and assumed statistical correlations

3.3.1 Uncertainties in timber members

The inherent uncertainties of timber, as a material, are considered in this work by

assigning different mechanical properties to each element. As presented in Table 3,

seven random variables are considered for each timber element. The distribution pa-

rameters of the reference properties (bending strength, bending modulus of elasticity,

and density) are computed based on characteristic values, defined in EN14080 for the

homogeneous GL24h strength class, and on the coefficients of variation and proba-

bilistic distributions proposed in Köhler et al (2007). The expected values and the

coefficients of variation of the remaining properties are computed according with the

expressions proposed by Köhler et al (2007), for Nordic softwood. Table 4 presents

the intra-element correlation coefficients considered in this work.
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Table 3 Random variables for timber material properties

X Dist. E[X] CoV[X] Description

Rm LN 31 0.15 Bending strength // to the grain (N/mm2)

Em LN 11500 0.13 Bending modulus of elasticity (N/mm2)

ρden N 420 0.1 Density (kg/m3)

Rt,0 LN 18.6 0.18 Tension strength // to the grain (N/mm2)

Rc,0 LN 23.4 0.12 Compression strength // to the grain (N/mm2)

Gv LN 718.8 0.13 Shear modulus (N/mm2)

Rv LN 3.12 0.15 Shear strength (N/mm2)

Table 4 Intra-element correlation coefficient matrix (PMC)

Rm Em δden Rt,0 Rc,0 Gv Rv

Rm 1.0 0.8 0.6 0.8 0.8 0.4 0.4

Em 1.0 0.6 0.6 0.6 0.6 0.4

ρden 1.0 0.4 0.8 0.6 0.6

Rt,0 1.0 0.5 0.4 0.6

Rc,0 1.0 0.4 0.4

Gv 1.0 0.6

Rv 1.0

It is considered that the properties of different elements are also correlated. A

high inter-element correlation coefficient of 0.8, shown in Table 5, is assumed to

simulate the assumption that laminations of different elements origin from the same

consignment of sawn wood.

Table 5 Inter-element correlation coefficient matrix

B1 B2 B3 C1 C2 C3

B1 - 1st floor beam 1.0 0.8 0.8 0.8 0.8 0.8

B2 - 2nd floor beam 1.0 0.8 0.8 0.8 0.8

B3 - 3rd floor beam 1.0 0.8 0.8 0.8

C1 - Left column 1.0 0.8 0.8

C2 - Center column 1.0 0.8

C3 - Right column 1.0
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3.3.2 Uncertainties in ring-doweled connection properties

The probabilistic assessment performed in this work implies the computation of

yielding moment and rotational stiffness for each moment-resisting joint. In the case

of ring-doweled connections, these properties depend strongly on the embedment

strength of the connected elements, which can be related to the density of wood. Ac-

cording to Bouchaı̈r et al (2007) a constant stiffness per dowel for each of the dowels

within a single connection can be assumed. This results in an equal distribution of

load among all connectors, for each layer, and also to a geometrical center of the

joint coincident with the center of rotation. A constant stiffness for all dowels within

a single connection is assumed here, in order to compute stiffness and strength prop-

erties of the joints. Nevertheless, it is important to stress that small tolerances and

wood variations likely lead to an un-equal stiffness and load distribution. According

to EC5 and Porteous and Kermani (2013), the elastic rotational stiffness Kel can be

estimated as:

Kel,EC5 = nsp · kser ·
n∑
i=1

r2i (6)

where nsp is the number of shear planes, ri is the distance of each fastener from the

center, and kser is the slip modulus per shear plane (CEN 2005a) given by:

kser =
ρ1.5con · d

23
(7)

where ρcon is the wood density, in kg/m3, and d is the diameter of the dowels, in

millimeters. It is worth noting that due to the variability of connected elements it is

necessary to consider different densities for different members. Thus, ρcon used in

the equation (7) is the geometric mean of the density of adjacent members given by

ρcon =
√
ρden,1 · ρden,2, as proposed in EC5 for connections involving members

with different densities. In this work, ρden,1 and ρden,2 are the densities of outer

(columns) and inner (beams) elements respectively. The rotational stiffness of the

beam column joint is then defined by the following equation:
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Kel = λKel · nsp · kser ·
n∑
i=1

r2i (8)

As reported in Polastri et al (2013), equation (6) overestimates the rotational

stiffness. Considering the envelope experimental backbone curve, the value obtained

through the experimental tests (Kel,test) is equal to 6936.6 kN.m/rad. Nevertheless,

the rotational stiffness obtained through equation (8) is equal to 12572.0 kN.m/rad,

with a measured wood density of 467 kg/m3. Thus, to consider this feature the rota-

tional stiffness used to perform the nonlinear analysis is affected by a bias coefficient

λKel = Ktest
el /Ktest

el,EC5 = 0.55.

According to Porteous and Kermani (2013), the yielding moment of a ring-doweled

joint can be determined from equilibrium as

My,EC5 =

n∑
i=1

FR,iri (9)

where FR,i is the yielding force of fastener i, which is given by:

FR,i = 2FV,R

(
ri
rmax

)A
(10)

where the parameterA is a constant that accounts for the nonlinear load-deformation

response of isolated dowels and rmax is the distance between the center and the far-

thest layer. For the moment-resisting connection studied in this work, A is assumed

equal to 0.5 (Polastri et al 2013). The determination of dowel resistance force FV,R

per shear plane is based on the Johansen's yielding theory (Johansen 1949). Consid-

ering moment resisting connections used in the case study, the resistance force FV,R

of a dowel per shear plane is computed with the following equation:

FV,R = min



FR,a = fh,α,1 · t1 · d

FR,b = 0.5fh,α,2 · t2 · d

FR,c = 1.05
fh,α,1·t1·d

2+β

[√
2β(1 + β) +

4β(2+β)My,dowel

fh,α,1·t21·d
− β

]
FR,d = 1.15

√
2β
1+β

√
2My,dowel · fh,α,1 · d

(11)
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where ti is the thickness of the members, fh,α,i is the embedment strength of the

members in the direction of the load applied (α) on the fastener; β is the ratio be-

tween the embedment strength of the beam and the embedment strength of the col-

umn (β = fh,α,2/fh,α,1), and d is the diameter of dowels. Thus, fh,α,1 and fh,α,2 are

determined considering the influence of the angle α relative to the grain (α = 0 corre-

sponds to the direction parallel to grain). The embedment strength fh,α is computed

through the following equation:

fh,α =
fh,0

k90 sin2α+ cos2α
(12)

where k90 = (1.35 + 0.015d) for softwood (CEN 2005a) and fh,0 is the embedment

strength in the parallel to grain direction given by:

fh,0 = 0.082(1− 0.01d)ρden (13)

Failure modes given in equation (11 a) and (11 b) refer to timber embedding fail-

ure. To guarantee the ductility of connections, it is recommended to design the con-

nections to fail in the failure modes corresponding to equations (11 c) and (11 d),

which are dependent on the yielding moment of each dowel My,dowel that can be ob-

tained through the following equation:

My,dowel = 0.3fud
2.6 (14)

where fu is the ultimate yield capacity in tension. In this work, the ultimate capacity

in tension of dowels fu is also assumed as a random variable varying from connection

to connection. This variable follows a lognormal distribution with a median value of

427.2 MPa and a coefficient of variation equal to 0.04 (PMC 2011) corresponding to

a characteristic value of 400 MPa.

A bias coefficient λMy
has to be considered to affect the values of yielding mo-

ment obtained through equation (9). Such as in the case of rotational stiffness, the

yielding moment is also over-estimated by the formulae proposed in EC5. Conse-

quently, the coefficient λMy
is the ratio between the yielding moment of the ex-

perimental backbone curve (MI = 83.93 kN.m) and the predicted yielding moment
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M test
y,EC5 (= 101.04 kN.m) obtained through equation (9) using the mechanical prop-

erties of the experimental specimens (fu = 580 MPa). Thus, the deterministic value

of λMy
is considered in the Latin Hypercube samples is given by:

λMy =
MI

M test
y,EC5

= 0.83 (15)

Consequently, the yielding moment used for Latin Hypercube samples is defined

by the following equation:

MI,LHS =My = λMy

n∑
i=1

FR,iri (16)

From the set of structural model samples generated using the parameters pre-

sented in Tables 3 to 5, the yielding moment (equation (9)) and elastic rotational

stiffness (equation (8)) were computed for each joint, and each structure in 9000 size

samples for each property with parameters shown in Table 6.

Table 6 Lognormal parameters for moment-resisting joints properties

X µlnX ξlnX E[X] CoV[X] KS (p− value)

My,LHS [kNm] 4.103 0.051 60.6 0.05 0.144

Kel,LHS [kNm/rad] 8.679 0.143 5937.6 0.143 0.130

Due to the current requirements of EC8 for high ductility class structure, it is

worth noting that the capacity of the ductile failure mode shown in equation (11 d)

was the one that governed the strength capacity of the dowels, even when variabil-

ity on timber properties and dowels ultimate strength was assumed. This is a con-

sequence of the high slenderness of dowels (t ≥ 10d) and the mild steel quality

assumed during design.

The parameters defining the post-yield behavior of the hysteretic models defined

for the connections are also considered as random variables. The envelope curve of

the cyclic test presented in Figure 2(c) was used in defining points I to IV of the

backbone curve of Pinching4. The ratios between the yielding moment (MI) and the

values MII and MIII were assumed to be deterministic and equal to those observed
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in the experimental tests. From the response envelope obtained, through the process

defined in section 3.2.1, the parameters MII and MIII are given by:

MII =
M test
II

M test
I

MI ≈ 1.36MI (17)

MIII =
M test
III

M test
I

MI ≈ 1.53MI (18)

where M test
I = 83.9 kN.m; M test

II = 114.45 kN.m and M test
III = 128.6 kN.m. The

residual strength (MIV ) is defined as 20% of the yielding moment (M test
I ). The ro-

tations necessary to define the backbone of moment-resisting joints are also assumed

as random variables. Their values are defined considering the yielding rotation θy and

the parameters XII , XIII , and XIV , as presented in the following equations:

θy =
My

Kel
(19)

θII = θy +XII · θy (20)

θIII = θII +XIII · θy (21)

θIV = θIII +XIV · θy (22)

Lognormal distributions were assumed for XII , XIII and XIV , as these param-

eters must be positive. The mean values for the parameters are illustrated in Figure

3, which was obtained from calibration of the backbone curve of the experimental

results shown in Figure 2(c). Since there are no studies available in the literature re-

garding the variability of post-yielding rotations of ring-doweled connections, and,

there are more factors (e.g. cracks on the vicinity of dowels) that may induce de-

viations on the idealized backbone, a high coefficient of variation was assumed for

the variables XII , XIII and XIV . The parameters used to represent post-yielding

rotation properties are presented in Table 7 and illustrated in Figure 3.

Additional parameters used to define the hysteretic behavior of connections are

assumed to be deterministic.
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Fig. 3 Backbone curve used for ring-doweled response

Table 7 Post-yielding rotations variability

X µlnX ξlnX E[X] CoV[X]

XII 0.514 0.385 1.80 0.4

XIII 0.970 0.385 2.84 0.4

XIV 1.535 0.385 5.00 0.4

3.3.3 Distribution of the periods of vibration of the structural set

The random variables considered in this work affect mass and stiffness of the struc-

ture which in turn induce variability on periods of vibration of each generated struc-

tural model realization. It is worth noting that the fundamental period T1 plays an im-

portant role on the development of multi-record IDA, since the time-history records

considered are scaled to the same first mode spectral acceleration Sa(T1), and there-

fore its expected value needed to be determined in this section before performing

the ground motion selection and before defining the reference intensity measure. The

first natural period for the 1000 structural models generated through LHS has a me-

dian value equal to 0.97 s while the median of the second natural period is 0.14 s.

All the realizations of the structural set have in common the fact that 95% modal

mass is reached with only two lateral modes of vibration. The probability distribu-

tion of computed natural periods can be approximated by lognormal distributions
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(p-value equal to 0.83 and 0.99 respectively, for a significance level of 5%): (T1 ∼

LN (µLN = −0.032, ξLN = 0.057) and T2 ∼ LN (µLN = −1.991, ξLN = 0.052)).

3.4 Ground motion selection

A set of 24 ground motion records was selected and scaled to the 2% damped linear

elastic acceleration response spectra considered in EC8 for a site in Lisbon, Portugal.

According to the national document of application of EC8, it is necessary to consider

two types of seismic action for any site in Portugal, including the Type 1 far-field

ground motions which correspond to magnitudes higher than 7.0, and Type 2 near-

field ground motions characterized by magnitudes lower than 7.0. The set of ground

motions were extracted from the Pacific Earthquake Engineering Next-generation At-

tenuation (PEER NGA) database (PEER 2002). The main characteristics of the time-

history records selected are presented in Table 8. The respective response spectra are

shown in Figure 4 where the elastic response target spectra of EC8 is also presented.

In this figure, it can be seen that the response spectra of the selected records match

the target spectra in the period range of interest, which was selected between 0.2T1

and 3.0T1, where T1 is the median fundamental period of vibration of the structural

set. The values presented in Table 8 to characterize the time-history records used are

the peak-ground acceleration (PGA), the ”first-mode” spectral acceleration (Sa(T1)),

obtained for the median fundamental period of the structural set, and the scale factors

(SFi) used to scale the records to the target response spectra.
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Table 8 Set of ground motion records selected

Event Station PGA (g) Sa(T1) SF1 SF2

Kobe, Japan, 1995 Fukushima #000 0.185 0.913 0.977 -

Kobe, Japan, 1995 Fukushima #090 0.215 0.558 0.978 -

Loma Prieta, 1989 Hollister Diff. Array #255 0.252 0.612 1.066 -

Loma Prieta, 1989 Sunnyvale Colton Ave #270 0.170 0.254 1.091 -

Kobe, Japan, 1995 Shin-Osaka #000 0.217 0.369 1.153 -

Superstition Hills, 1987 Wildlife Liquefaction Array # 360 0.185 0.456 0.759

Kobe, Japan, 1995 Amagasaki #000 0.233 0.883 0.740 -

Kobe, Japan, 1995 Kobe University #000 0.259 0.603 0.669 -

Kobe, Japan, 1995 Amagasaki #090 0.327 0.693 0.647 -

Kobe, Japan, 1995 KJMA #090 0.630 1.348 0.589 -

Loma Prieta, 1989 Agnews State Hospital #090 0.161 0.194 1.517 -

Kobe, Japan, 1995 KJMA #000 0.590 1.620 0.415 -

Friuli, Italy-01,1976 Tolmezzo #000 0.357 0.252 - 1.028

Friuli, Italy-01,1976 Tolmezzo #270 0.301 0.299 - 1.001

Kobe, Japan, 1995 Abena #000 0.149 0.351 - 1.078

Kobe, Japan, 1995 Abena #090 0.231 0.172 - 0.908

Northridge, 1994 LA, Baldwin Hills(985) 0.239 0.154 - 0.896

Imperial Valley, 1979 El Centro Array, #13 #140 0.145 0.175 - 0.892

Kobe, Japan, 1995 HIK #000 0.118 0.257 - 1.141

Loma Prieta, 1989 Coyote Lake Dam Downstream #285 0.180 0.178 - 0.848

San Fernando, 1971 LA, Hollywood Stor. Lot #090 0.225 0.250 - 0.829

Imperial Valley, 1979 El Centro Array, #12 # 140 0.118 0.144 - 1.208

Kobe, Japan, 1995 Kakogawa #090 0.324 0.305 - 0.540

Kobe, Japan, 1995 Kakogawa #000 0.240 0.233 - 0.746

4 Performance assessment

In this section, the seismic capacity of the structural set of 1000 structural models

obtained with LHS method, is evaluated through nonlinear static analysis and incre-

mental dynamic analysis.
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4.1 Pushover analysis

4.1.1 Estimates of equivalent reference system parameters

From the results of the capacity curves shown in Figure 5(a), the parameters shown in

Figure 5(b) that define the equivalent bilinear inelastic were obtained, including the

peak base shear F ∗
max, the reference yield displacement d∗y , and associated yield force

F ∗
y , and the ultimate displacement d∗u. The initial stiffness is determined considering

the secant stiffness to the point of the first yield of one of the moment resisting con-

nections. The ultimate displacement d∗u is defined as that corresponding to a decrease

of 20% from F ∗
max (”near - collapse” state). The yielding force F ∗

y results from the

application of the Energy Equivalent Elastic Plastic (EEEP) method (Foliente 1996),

which consists in balancing the total energies below the obtained capacity curve and

the equivalent bilinear model. The distribution of the parameters are listed in Table 9.
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Fig. 5 Nonlinear static analysis: (a) Capacity curves; (b) Equivalent bilinear inelastic model

4.1.2 Estimation of the q-factors

According to Fajfar (1999) the q-factor is given by:

q = Rµ ·RΩ (23)

where Rµ is the ductility factor and RΩ is the overstrength factor. In this paper, Rµ

is computed with the formulae proposed by Vidic et al (1994):
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Rµ =

 (µ− 1)T1/TC + 1 , T < TC

µ , T > TC
(24)

where the coefficient µ is the ratio between ultimate and yielding displacements of

the equivalent inelastic model (i.e. µ = d∗u/d
∗
y), T1 is the fundamental period of a

structure, and TC is the transition period that is equal to 0.8 s for the site considered

in this study. All the fundamental periods computed, for the structural set, are higher

than TC , which means that Rµ = µ.

In turn, the overstrength factor RΩ considered in this work is equal to the ratio

between the yielding force F ∗
y , of each structural sample, and the base shear force

F ∗
1,d. This value was taken from the design structure capacity curve, presented in

Figure 5(a), when any connection reaches the yielding moment (F ∗
1,d = 59.8 kN).

The quantities used to evaluate the q-factor can be computed using the parameters

listed in Table 9. The table shows that the median value of the q-factor obtained

from the pushover analysis with modeling uncertainties is significantly higher than

the q-factor recommended in EC8 for structural design which are q0.50 = 7.1 and

qEC8 = 4.0, respectively. Moreover, it is worth noting that the median value of

the ductility factor Rµ obtained is 4.0, which is similar to the q-factor used in the

design of this structure. On the other hand, a linear correlation coefficient of 0.46

and 0.74 are obtained between the q-factor and RΩ and between the q-factor and Rµ,

respectively. A lognormal probability density function was fitted to the values of q-

factor obtained, which is shown in Figure 6. It can be seen that the median value of

the q-factor is approximately 7.1.

Results listed in Table 9 for the Rµ and q-factor indicate that the q-factor con-

sidered in EC8 and the detailing requirements defined in EC8 and EC5 are adequate

for the design of this moment resisting frame structure, even though they also indi-

cate that the detailing requirements may be optimized to achieve more cost-effective

connections and members in future studies.
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Fig. 6 q-factor levels and fitted PDF

Table 9 Lognormal parameters for q-factor estimates

X µlnX ξlnX X0.50 E[X] CoV[X] KS (p− value)

F ∗
y [kN ] 4.670 0.059 106.7 106.9 0.048 0.58

d∗y [m] -1.765 0.076 0.171 0.172 0.076 0.99

F ∗
u [kN ] 4.531 0.061 92.9 93.0 0.061 0.66

d∗u[m] -0.383 0.111 0.681 0.686 0.112 0.84

Rµ 1.382 0.076 4.0 4.0 0.076 0.96

RΩ 0.580 0.059 1.8 1.8 0.059 0.58

q-factor 1.959 0.084 7.1 7.2 0.084 0.90

4.1.3 Estimation of interstory drift ratio limit states

The estimation of a relationship between the interstory drift ratios and the joint rota-

tions is performed in this section. These values are obtained here from the capacity

curves, where each damage state is associated with a certain structural damage. It is

assumed that the Immediate Occupancy damage state (IO) is reached when an inter-

story drift ratio associated with the first yielding of any connection in the building.

It is considered that Life Safety damage state (LS) is reached when any moment-

resisting connection reaches its capping rotation θIII , shown in Figure 3. For the

Collapse Prevention (CP) damage state, the threshold is given from the highest inter-

story drift ratio obtained when the structure reaches the ”near - collapse” state (20%

decrease from maximum capacity).

Table 10 lists the lognormal parameters obtained for each limit state interstory

drift ratio. The results in Table 10 show that the mean threshold values of interstory
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drift ratio are 1.2%, 4.9%, and 7.9% for the IO, LS, and CP damage states. The values

of the coefficient of variation vary from 9% to 14.4%.

Table 10 Lognormal parameters for limit state interstory drift ratios

Damage state µln θmax ξln θmax θmax,0.50 E[X] CoV[X] KS (p− value)

IO -4.437 0.091 0.012 0.012 0.091 0.46

LS -3.015 0.144 0.049 0.049 0.144 0.90

CP -2.540 0.108 0.079 0.080 0.109 0.97

The Kolmogorov-Smirnov (KS) goodness-of-fit test confirms that the lognormal

distribution is an acceptable distribution for the limit state thresholds considered with

a confidence level of 95%. The goodness-of-fit of the distributions is also shown in

the lognormal probability plots presented in Figure 7.
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Fig. 7 Lognormal probability plots for different limit state interstory drift ratio

4.2 Incremental Dynamic Analysis

In order to evaluate the effect of record-to-record variability, the single-record curves

IDA for both design structure (T1 = 1.13s) and median structure (T1 = 0.97s) are

shown in Figure 8(a) and 8(b), respectively. The design structure shows a lower ca-

pacity both in terms of spectral acceleration and peak interstory drift ratio at global

collapse. Despite the differences regarding strength and stiffness between the two
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structures, the ability of joints to deform in the nonlinear range contributes consid-

erably to these results. The parameters XII , XIII and XIV , used to compute the

backbone curve, differ considerably since the 5th percentile value was used for the

design structure, instead of the median value used for the median structure.

0 0.02 0.04 0.06 0.08 0.1

Peak interstory drift ratio

0

1

2

3

4

5

S
a
 (

T
1
) 

(g
)

(a) 0 0.02 0.04 0.06 0.08 0.1

Peak interstory drift ratio

0

1

2

3

4

5

S
a
 (

T
1
) 

(g
)

(b)

Fig. 8 Single-record IDA Curves: (a) Design structure; (b) Median structure

In Figure 9(a), the results for all multi-record IDA curves (NIDA = 24000) are

summarized by the mean and median IDA curves for the structural set. In addition,

the mean and median IDA curves of the median structure (NIDA = 24) are also

shown in this figure. Figure 9(b) shows the coefficient-of-variation of the estimated

capacity (Sa(T1)) versus peak interstory drift ratio.

From the results shown it possible to see that, structural set and median structure

present similar mean and median curves for peak interstory drift ratios lower than 5%.

The coefficient of variation of spectral acceleration is higher for the structural set, for

peak interstory drift ratios lower than 5%, as shown in Figure 9(b). These results were

expected as a consequence of including structural uncertainties. For peak interstory

drift ratios greater than 5%, the median structure presents higher mean and median

capacity, but similar coefficient of variation, when compared to the structural set.

Similar observations have been reported in the literature for RC structures (Liel et al

2009).
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Fig. 9 Multi-record IDA results: (a) mean and median IDA curves; (b) coefficient of variation of Sa(T1)

4.2.1 Disaggregation of the multi-record IDA results by the q-factor

The seismic capacity of heavy-timber frame structures depends strongly on the hys-

teretic energy dissipation of connections, which is related to the deformation capac-

ity of the moment-resisting joints. In the following disaggregation of the results,

the q-factor is subdivided into four intervals, as shown in Figure 6. The first inter-

val comprises structures with q-factor lower than its 16th percentile (q0.16 = 6.5),

while the second groups structures with q-factor between, the 16th percentile q0.16

and the 50th percentile q0.50, respectively (q ∈ [6.5, 7.1[). The third interval is equal

to q ∈ [q0.50, q0.84[ and the last one comprises structures with q-factor higher than its

84th percentile (q0.84 = 7.7).

For improved clarity only the median fractile multi-record IDA curves are pre-

sented in Figure 10(a). It is evident that for drift ratio levels greater than 2.5%, the

capacity of the structure increases as the q-factor increases for the same level of defor-

mation. It can also be seen the higher the q-factor, the higher is the structural capacity

associated with the global collapse. In Figure 10(b), the coefficient of variation of

the spectral acceleration versus peak interstory drift ratio are shown, for different

levels of the q-factor. There are no generalized differences in terms of coefficient of

variation when different levels of q-factor are considered across all values of peak

interstory drift ratios.
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Fig. 10 Multi-record IDA curves for different q-factor levels: (a) median fractile curves; (b) coefficient of

variation of Sa(T1)

5 Fragility Analysis

The fragility functions computed here result from fitting a lognormal distribution to

the spectral accelerations extracted from the IDA curves for each limit state. In this

section, the effect produced by modeling uncertainties and q-factor variability on the

different fragility functions are presented. Table 11 summarizes the results for the

fragility curves, determined for IO, LS, and CP damage states. For each damage state

level, three different values were chosen to define exceedance of a certain capacity

level, namely 16th, 50th and, 84th percentile of each limit state. The influence of limit

state threshold on the fragility functions can therefore be assessed for the median

structure and the structural set. It can be seen that the expected values are similar for

both structural set and median structure when IO damage state is considered. Nev-

ertheless, the coefficient of variation is higher for the structural set. For example, in

Table 11, it can be seen that, when the median value of interstory drift ratio is con-

sidered as threshold (θmax = 0.0118), the difference on expected values is negligible

whereas the coefficient of variation of the structural set is 18% higher than the one

obtained for the median structure. The expected values of the structural set are 2% to

4% higher when compared with the median structure for LS damage state. In terms

of coefficient of variation, the values obtained for the structural set are higher, raging

from 11% to 13%. For the CP damage state, the differences between the structural

set and the median structure are negligible in terms of coefficient of variation. Never-
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theless, the expected value obtained for the median structure is 3% to 6% higher than

the expected value of the structural set. From the IO and LS fragility curves, graph-

ically represented in Figure 11(a) and Figure 11(b), respectively, it is observed that

the limit state interstory drift ratios admitted as thresholds influence both the expected

value and the coefficient of variation. Consequently, these values may be considered

as random variables in further studies.

Table 11 Fragility curves parameters for IO, LS and CP

Structural set Median structure

Limit state θmax µlnD ξlnD E[X] (g) CoV[X] µlnD ξlnD E[X] (g) CoV[X]

0.0108 -1.457 0.136 0.235 0.137 -1.461 0.117 0.234 0.117

D > IO 0.0118 -1.370 0.137 0.257 0.138 -1.373 0.117 0.255 0.117

0.0130 -1.275 0.140 0.282 0.141 -1.279 0.117 0.280 0.117

0.0425 0.164 0.387 1.270 0.402 0.143 0.345 1.225 0.356

D > LS 0.0490 0.287 0.413 1.451 0.431 0.282 0.359 1.414 0.371

0.0566 0.413 0.441 1.666 0.463 0.410 0.401 1.633 0.418

0.0708 0.549 0.468 1.932 0.495 0.582 0.461 1.990 0.487

D > CP 0.0789 0.582 0.481 2.010 0.510 0.632 0.477 2.108 0.506

0.0878 0.594 0.483 2.035 0.513 0.650 0.480 2.150 0.509
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Fig. 11 Fragility curves for different θmax levels: (a) Immediate Occupancy; (b) Life Safety

Table 12 presents the fragility curve parameters for GC damage state. These pa-

rameters are similar with the ones obtained for the CP damage state. This observation

can be justified by the peak interstory drift ratios used as thresholds for the CP dam-

age state, since these values may exceed the peak interstory drifts ratios related to the
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dynamic instability observed in the IDA curves. As shown in Table 12, the expected

value of GC damage state peak interstory drift ratio, for the structural set, is lower

than the expected value used for CP limit state value. Consequently, a considerable

number of structural models reached instability for the interstory drift ratios consid-

ered for CP. Moreover, the coefficient of variation of global collapse peak interstory

drift is 37% higher than the one obtained for CP damage state.

The impact of considering modeling uncertainties, on a GC fragility curve, is re-

flected in the expected values presented in Table 12, for both structural set and median

structure. As shown in Figure 12(b), a similar dispersion is observed, but neglect-

ing modeling uncertainties may lead to an overestimation of the collapse capacity.

A higher variability is observed for the structural set whereas the median structure

presents a greater expected value. The cumulative distribution functions of peak in-

terstory drift ratios are presented for GC in Figure 12(a).
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Fig. 12 Global collapse fragility curves: (a) for different q-factor levels ; (b) median structure and struc-

tural set

Table 12 Lognormal parameters for peak interstory drift ratio and spectral acceleration at GC

Spectral acceleration (Sa(T1)) Peak interstory drift ratio (θmax)

µln ξln E[X] (g) CoV[X] µln ξln E[X] CoV[X]

structural set 0.598 0.483 2.044 0.513 -2.557 0.148 0.078 0.149

median structure 0.652 0.480 2.154 0.510 -2.490 0.079 0.083 0.079
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The disaggregation of the multi-record IDA results by different levels of q-factor,

allow to present fragility curves for different q-factor levels. Table 13 shows results

for both LS and CP damage states, considering median values of interstory drift ratios

as limit-state thresholds. The disaggregation of fragility curves in different q-factor

levels shows that higher q-factors correspond to higher expected values and higher

coefficients of variation of the structural capacity. These results are shown graphically

in Figure 13. The capacity/demand ratio for timber members and the beam-column

joints were checked for a sample of the ground motions with the 5% damped linear

response spectral accelerations at the fundamental period of vibration of the structure

ranging from 1.4g to 4.5g. It was observed that neither the members nor the beam-

column joints reached their ultimate deformation capacity.

Table 13 LS and CP fragility curves parameters for different levels of q - factors

Fractile LS - θmax,0.50 = 0.0490 CP - θmax,0.50 = 0.0789

µlnD ξlnD E[X] CoV[X] µlnD ξlnD E[X] CoV[X]

[0, 16%[ 0.199 0.393 1.318 0.409 0.474 0.437 1.767 0.459

[16%, 50%[ 0.263 0.404 1.411 0.421 0.559 0.472 1.955 0.500

[50%, 84%[ 0.314 0.416 1.493 0.435 0.604 0.492 2.065 0.523

[84%, 100%] 0.361 0.432 1.575 0.453 0.656 0.499 2.183 0.532
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Fig. 13 Fragility curves for different q-factor levels: (a) Life Safety; (b) Collapse Prevention



38 Leonardo G. Rodrigues Jorge M. Branco∗ Luı́s A. C. Neves and Andre R. Barbosa

6 Conclusions

The performance of a heavy-timber structure designed with ring-doweled moment

resisting connections was evaluated in this work. It is important to note that the re-

sults obtained here are specific to one direction of a three-story building. The ring-

doweled joints used to connect beams and columns had already been experimentally

studied under cyclic testing in Polastri et al (2013). The results had shown that the

connection could fulfill the requirements of EC8 for high ductility class structures.

To evaluate the effectiveness of this connection on a prototype structure, a three-story

building designed following EC5 and EC8 codes was subjected to a comprehensive

seismic performance assessment which included numerical nonlinear static and non-

linear dynamic analysis. OpenSees was used for the numerical analysis, in which the

Pinching4 constitutive model was used to capture the moment-rotation behavior of

ring-doweled moment resisting connections, which was calibrated based on testing

data available in the literature. The inherent variability of the timber structural mem-

bers was included in the analysis as modeling uncertainties, which influenced the

structural capacity and the notable points used to characterize the hysteretic response

of the connections. Using a set of 1000 structural models generated with the Latin

Hypercube Sampling method, a probabilistic assessment was performed including

spatial variability of strength and stiffness of timber elements and connections prop-

erties.

Nonlinear static analyses were first performed to evaluate the variability of limit-

state interstory drift ratios and q-factors. The consideration of modeling uncertainties

allowed the estimation of a probabilistic distribution of q-factors for the structural set.

The main observations from this part of the work were:

– Parameters for the peak value of interstory drift ratio θmax associated with dif-

ferent damage states were obtained. Median values obtained were 1.2%, 4.9%,

and 7.9% for the IO, LS, and CP damage states, respectively. In addition, the co-

efficient of variation of θmax ranged from 9% to 15%, which are relatively low

values, specially since modeling uncertainties were explicitly considered.
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– The median value of the q-factor obtained from analyses was considerably higher

(q = 7.1) than the value prescribed in EC8 (qEC8 = 4.0). Moreover, the median

value of the ductility factor Rµ obtained was 4.0. These results indicate that the

q-factor values considered in EC8 and the detailing requirements defined in EC8

and EC5 are adequate for design of this type of structure.

In a second part of the work, a multi-record incremental dynamic analysis (IDA)

was performed assuming the first mode spectral acceleration as the intensity measure

and peak interstory drift ratio as the damage measure. Main observations from the

IDA curves were:

– The results showed that modeling uncertainties have a slight influence on the

expected values of the IDA curves for peak interstory drifts ratios lower than 5%.

Nonetheless, when modeling uncertainties are taken into account the coefficient

of variation increases up to 43% more.

– From the disaggregation of the IDA curves according to four different q-factor

levels, it was observed that structural models with higher q-factors are more likely

to resist ground shaking with higher intensities. These results can be partially

explained due to the fact that a positive linear correlation of 0.46 was observed

between the q-factor and RΩ .

– No brittle failures were observed in the dynamic analyses conducted to compute

the IDA curves, indicating that the sizing requirements in EC8 are adequate, but

potentially too conservative, thus leaving room for improvements of the slender-

ness of the members and dowels.

Several seismic fragility curves for different performance levels, including Im-

mediate Occupancy, Life Safety, Collapse Prevention, and Global Collapse, were de-

termined using multi-record incremental dynamic analysis. These were based on in-

terstory drifts that were defined considering the limit-states of the moment-resisting

joints and the building capacity curves, specifically for the global collapse estimates.

In this case, the main observations were:

– Modeling uncertainties did not affect the median values of the fragility curves

associated with IO and LS. However, the coefficient-of-variations increased by
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18% and 13% when the modeling uncertainties were considered for the IO and

LS damage states, respectively.

– When modeling uncertainties are neglected an overestimation of the capacity is

obtained, both in terms of spectral acceleration and peak interstory drift for the CP

and GC damage states, by approximately 3% and 5%, respectively. However, the

coefficient-of-variation did not change for the CP and GC damage states, when

modeling uncertainties were considered.

As described above, there is room to perform further experimental tests to eval-

uate how a reduction in connected elements thicknesses and slenderness of dow-

els would impact the ductility and strength degradation of ring-doweled joints. Such

tests, along with the methodology proposed in this work, could contribute to propose

new design values and detailing requirements to moment-resisting joints, in future

works. Moreover, the variability on the responses observed during this study also in-

dicates that more experimental campaigns need to be performed in the future to build

a database of moment-resisting timber connections. This would also allow for char-

acterization of the uncertainty of the expected model parameters used in design and

their correlation with observed joint performance.
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A Notation

The following symbols are used in this paper:

d = Dowels diameter (mm);

q = Behavior factor;

CDF = Cumulative Density Function;

CP = Collapse Prevention;

DCH = High ductility class structure;

DCL = Low ductility class structure;

DCM = Medium ductility class structure;

DMP = Demand Parameter;

DOF = Degree-of-freedom;

EC5 = Eurocode 5;

EC8 = Eurocode 8;

EEEP = Energy Equivalent Elastic Plastic;

FR = Fragility function;

GC = Global Collapse;

GMR = Ground motion records;

IDA = Incremental dynamic analysis;

IM = Intensity Measure;

IO = Immediate Occupancy;

KS = Kolmogorov-Smirnov;

LHS = Latin Hypercube Sampling;

LS = Life Safety;

OSB = Oriented Strand Boards;

PDF = Probability Density Function;

PGA = Peak-ground acceleration;

PMC = Probabilistic Model Code;

RC = Reinforced concrete;

Sa (T1) = first mode spectral acceleration.

SF = Scale Factor;

SDOF = Single-Degree-Of-Freedom;

T1 = First natural period; and

T2 = Second natural period;


