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An application of reliability-based robustness assessment of steel moment

resisting frame structures under post-mainshock cascading events

Filipe L. A. Ribeiro?
André R. Barbosa
and Luis C. Neves$

Abstract

The paper presented herein proposes a reliability-bas@detvork for quantifying the struc-
tural robustness considering the occurrence of a majohegaake (mainshock) and subsequent
cascading hazard events, such as aftershocks that arer&ijy the mainshock. These events
can significantly increase the probability of failure of ldings, especially for structures that are
damaged during the mainshock.

The application of the proposed framework is exemplifieddigh three numerical case studies.
The case studies correspond to three SAC steel moment fraidenlys of 3-, 9-, and 20- stories,
which were designed to pre-Northridge codes and standarids-dimensional nonlinear finite
element models of the buildings are developed using the Gpstem for Earthquake Engineering
Simulation framework (OpenSees), using a finite-lengtistpddhinge beam model and a bilinear
constitutive law with deterioration, and are subjected wdtiple mainshock-aftershock seismic
sequences.

For the three buildings analyzed herein, it is shown thasthectural reliability under a single

seismic event can be significantly different from that una@esequence of seismic events. The
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reliability-based robustness indicator used shows tleastituctural robustness is influenced by the
extent by which a structure can distribute damage.

Keywords: Aftershock, Nonlinear Dynamic Analysis, Robustness, i@&sSequences.

INTRODUCTION

Structures in earthquake prone regions are susceptibkarng damaged due to intense ground
motion shaking. Traditionally, design and analysis of dini¢) structures only considers one single
earthquake event, also known as a mainshock. However, ityrestructures can be subjected
to cascading events, defined as events likely to be trigdgeyedmajor earthquake, such as after-
shocks, fires, explosions, or tsunamis. The focus of thikwsoplaced on sequences of ground
motions that include the mainshock as well as aftershodksctaral damage is typically observed
in the large intensity mainshocks. Since the typical tinterval between mainshocks and after-
shocks is small, structural repair or retrofit is not possdoid the mainshock-damaged structures
are thus more susceptible to failure when an aftershockrec@ine term failure, as used herein, is
synonymous with exceeding a defined limit state that mayeesiductures unfit for use (Newmark
and Rosenbleuth 1971).

In this paper, a measure of structural robustness is usdthtacterize the effect of aftershocks
on the seismic safety of structures. With respect to afteishtriggered by mainshocks, a struc-
ture is said to be more or less robust depending on its cgpacustain post-mainshock damage
without reaching failure. Three main approaches for qfang structural robustness have been
proposed in the literature. In the first approach, measuresractural robustness are derived
from probabilistic risk assessments (Baker et al. 2008).keBat al. (2008) defined a measure
for quantifying structural robustness as a function of di@nd indirect risk. Even though this
approach is very powerful, the complexity and subjectigsna the quantification of the direct
and indirect risk in large structural systems hinders th@ieation of this approach. In the second
approach, measures of structural robustness are quaimitiextins of ratios of structural properties
(e.g. damage, energy, or stiffness) between undamagedaanalged structures (Starossek 2006;

Cavaco et al. 2013). While these measures are useful inesgng practice, they fail to explicitly
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describe failures. Finally, in the last approach, measafesructural robustness are defined as
a function of the probabilities of failure of the intact andndaged structure. Examples of such
measures are the indices presented by Frangopol and Clfl8y)(and Lind (1995). It is worth
noting that, as discussed in Starossek and Haberland (200) these measures evaluate struc-
tural redundancy rather than robustness. However, fodimg$, redundancy is provided by the
existence of alternative load paths which is the main meashaproviding robustness, rendering
these indicators an adequate indirect measure of strlictlmastness. Robustness assessment of
structures for cascading hazards is currently lackingeritbrature.

There are two main challenges in modeling the effects ofgiteck events on structures for
computing structural robustness. The first challenge &tedl to the accurate modeling of ex-
pected mainshock-aftershock seismic sequences. Thisdeasdiscussed extensively in (Ruiz-
Garcia 2012; Fragiacomo et al. 2004; Lee and Foutch 2004 d Edlingwood 2007; Luco et al.
2004; Luco et al. 2011; Ryu et al. 2011). Luco et al. (2011) Byd et al. (2011) performed
mainshock-aftershock incremental dynamic analyses (Nzfmvatsikos and Cornell 2002) on
single-degree-of-freedom models subjected to artifi@glences of mainshock-aftershock "back-
to-back" structural analyses. The second challenge iseckla accurate modeling of the effects
of damage introduced by the mainshock on structural pedian®. To this effect, state-of-the-art
modeling for estimation of structural performance/dameae be found in ATC-72 (PEER/ATC
2010). In the ATC-72 report emphasis is placed on phenomogita! models that capture the
main effects of strength and stiffness deterioration.

In this study, a probabilistic framework for the assessmoéstructural robustness under main-
shock triggered aftershocks is developed. Emphasis isglac the evaluation of the structural ro-
bustness as a function of the probability of failure (or thigability index) under different damage
scenarios. In the probabilistic methodology, nonlinearatyic time-history analyses of structural
computational models of buildings are used to estimatedberded structural damage due to mul-
tiple mainshock-aftershock sequences. Mainshock andshfiek incremental dynamic analyses

are carried out following the approach proposed by Ryu €P8all1), where artificial mainshock-
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aftershock sequences are used in the "back-to-back" ma@mldynamic time-history analyses. This
approach is applied to multi-degree-of-freedom (MDOR)airal models of the 3-, 9-, and 20-
story steel moment resisting frames (SMRFs) of the SAC stegéct (FEMA355C 2000). The
analytical building models are developed using the Opeie8y$for Earthquake Engineering Sim-
ulation, OpenSees (Mazzoni et al. 2009), and were validasgty the numerical data available
in the literature (FEMA355C 2000; Luco 2002). Importantedp of beam strength and stiffness
degradation as damage progresses during the analysis lser@cuded in the model. To quan-
tify the damage due the mainshock and aftershock, the bgsdare first subjected to a mainshock
incremental dynamic analysis and for each level of the sitgof the mainshock, the mainshock-

damaged structure is then subjected to incremental dyramaigsis due to the aftershocks.

FRAMEWORK

The framework proposed for the assessment of the structlvaktness of buildings is sche-
matically presented in Figure 1. The first step of the analgsiresponds to the definition of
the engineering measures considered to define failure anththsholds used to define the per-
formance or limit states. The following step of the analysasresponds to the definition of the
mainshock hazard. This depends on the location of the Imgjlaind the foundation soil. Extensive
data exists on the seismic hazard of locations in EuropethManerica, and Japan (e.g., Petersen
et al. 2008). From this, the mean annual rate of exceedingpangrmotion intensity measure
can be defined and, consequently, a probabilistic distabudf the mainshock intensity measure
can be obtained. The ground motion intensity measure mestigghe 5% damped linear elastic
spectral acceleration at a fundamental period of the stre@t, which is denoted as,(7;) (e.g.
Baker 2007). Herein, the notatichwill be used to refer to a spectral acceleration at a fundaahen
period of the structure.

Based on the definition of the hazard, a set of mainshock grauoelerograms can be defined
(Step 3.1), considering either real or artificial acceleaogs (e.g. Bommer and Acevedo 2004).
Considering the uncertainty in the characteristics of tle@nshock, several different accelero-

grams should be used and methods for estimating the stalicesponse due to the mainshock
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are discussed in Baker (2007), for example. When prob#biksmulation is employed, a set
of mainshocks following the distribution of the spectrat@eration are used. In Step 3.2, finite
element models are defined, leading at sufficient accurachdoacterize the nonlinear response
to collapse, providing reliable estimates of the residugpldcements and loss in stiffness and
strength. Details on an example of models that can be emgblimyaccount for the strength and
stiffness deterioration are described in the followingtisec In Step 3.3, the damage caused by
the mainshock is evaluated for each of these samples. Inrésemt paper, this is done using an
incremental dynamic analysis (Vamvatsikos and Cornel200ut other methods for estimating
the damage conditional on the mainshock ground motion siigmeasure can be defined. Based
on the results of these analyses, in Step 3.4, the prolyadilfailure under mainshock along )

can be estimated using:

P = / P(FIS™ = $")dP(S™) (1)

where S™ represent the ground motion spectral accelerations agsdcwith the mainshock at
the fundamental period of the intact structuf&,S™) corresponds to the annual probability of
occurrence of a spectral acceleration associated with #iesmock, and®(F'|S™ = s™) repre-
sents the probability of failuré’ conditional onS™. The probabilities of exceedance of a given
S™ are defined considering, for example, the data describedtersen et al. (2008). According
to Jayaram and Baker (2008) the spectral acceleratiormsrfdignormal distributions. The term
F describes a failure event, which is defined as exceedancdinftastate. When considering a
collapse limit state, for example, FEMA356 (2000) repofs &s a limiting value interstory drift
ratio in buildings. It is worth noting that Eq.1 is applicalior any limit state.

Based on the properties of the mainshock, the conditionatskfock hazard can be defined
in Step 4. The occurrence rate and the distribution of dfterks have strong correlations with
mainshock magnitude (Yeo and Cornell 2005). As a conse@yencaftershock hazard should
be defined considering the mainshock amplitude, frequeanteat, and duration. Therefore, the

simulation of mainshock-aftershock ought to be performeith weal sequences. However, for
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most sites such information in not available, and a generatdilation cannot rely on existence of
this data. Thus, artificial mainshock-aftershock sequemee used herein, following Luco et al.
(2011), Ryu et al. (2011), and Li et al. (2012). In Step 5.1takaftershock ground accelerations
is defined. In Step 5.2, damage resulting from mainshock &edshock is evaluated, following
the tasks described above for the mainshock alone. The lpitpaf failure due the aftershock
conditional on the occurrence of a mainshock that does aotte failure,p;,, can be computed

through:

Pr3 —Pr1
pp2 = = ()
72 1—pn

where the probability of failure considering both mainghand aftershock, computed in Step 5.3,

is given by:

pﬁ3:l/;“/?}%PWSm::yﬂé?f:sﬂdeSﬂSmw:sm)dPQSm) ®)

and whereS“ represent the ground motion spectral accelerations adedawith the aftershock
at the fundamental period of the intact structubg,S*|S™ = s™) is the conditional probability
of occurrence of an aftershock with spectral acceleratiofollowing a mainshock with spectral
acceleratiors™, and P(F|S™ = s™, 5% = s%) represents the probability of failuéé conditional
on S™ andS®. S*is also assumed to follow a lognormal distribution.

In Step 6, the robustness assessment is performed based ocontiparison of the reliability
index(5 = —®~!(py)) of the undamaged structufg,...., which accounts for the mainshock only,
with the reliability index of the mainshock-damaged staet3,,,,..4.¢ @s (Frangopol and Curley

1987):

61% 6 intact ( 4)

6intact - 5damaged

Whereﬁintact = _é_l(pfl) andﬁdamaged = _é_l(pr)-

Herein, the reliability index for the mainshogk,.... is computed considering the spectral ac-
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celeration event space divided in 10 intervals for ten dguiely ground motion records each
denoted as earthquakg using a technique known as Stratified Sampling (Kiuregh36). The
reliability index for the aftershockqmqg.a IS computed using stratified sampling for the main-
shock spectral acceleration and considering the conditjgmobability of failure due to aftershock
as the probability of exceedance of the minimum aftershpekisal acceleration leading to fail-
ure. The probability of failure is computed considering toenbination of 10 mainshock and 10
aftershock ground motion records. In this computationaisisumed herein that the mainshock and

the aftershock ground motion spectral acceleration areroslated.

BUILDING MODELS

General Description

The steel moment resisting frame (SMRF) buildings studiethis work are a subset of the
models developed as part of the SAC Steel project (FEMA353@R The buildings included
in this study are a 3-, a 9-, and a 20-story buildings (denbt&8l LA9 and LA20, respectively)
which were designed for Los Angeles using pre-Northridggeso(UBC 1994). In all buildings,
external frames were designed to resist the lateral seisiauiis and interior frames were designed
as gravity frames. As shown in Figure 2, all buildings havanspof 9.15m in both directions.
The 3-story building presents no basement, while the 9- @st@y buildings have one and two
basement levels, respectively. The height of the framesnstant and equal to 3.96m, except for
the first level of the two taller buildings, which have a haigh5.49m, as shown in Figure 2. A
detailed description of the buildings can be found in FEMAGH2000) and Luco (2002).

Two-dimensional centerline models of an external frameacheof the three buildings are used
for the structural analysis. According to one of the modghitternatives presented in Luco and
Cornell (2000), strong-column weak-beam ductile behawas assumed for all structures. Brittle
mechanisms and connection fracture modes were not coadider

Geometric nonlinearities are accounted for during theyaigby considering # — A leaning
column. Arigid diaphragm is assumed for each floor. Soikdtre interaction was not considered.

Masses and loads are applied to beam-column joints. Signitawhat was defined in FEMA355C
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(2000), Rayleigh damping is assigned to the models. As destin Erduran (2012), a damping
ratio of 2% was assigned to the first mode and a higher modéoviio FEMA355C (2000) the
higher mode considered is the fifth mode for LA20 and a mode petiod 0.2s for buildings LA3
and LA9 (a period close to the LA3's3nodal period and the LA9's™5modal period).

Component Modeling

The building’s nonlinear behavior was modeled considearsgt of four different models for
each structure, as described in Table 1. The four modelsd=resl differ in the method used to
simulate the beams. For the first two models, a zero-lengt$tiplhinge element is used, consid-
ering elasto-plastic behavior with hardening and a bilimeadel with deteriorationgilin model
in OpenSees). The third and fourth models used the sameiatatedels, but consider a finite-
length plastic hinge element. In all four cases, the coluwer® modeled considering a distributed
plasticity model and an elasto-plastic constitutive lawhvd 3% hardening rate assigned to each
fiber. A moment-curvature section analysis showed thatcthrisesponds to a section hardening of
3.0%, consistent with the assumptions used in the FEMA3560afing. Thus, for the columns,
the main phenomenon considered is the interaction betweenemt and axial load. This as-
sumption is supported by recent testing (Newell and Uan@pQGhere it is shown that columns
such as the ones being modeled do not exhibit deterioratictrength by more than 10% for
P/Py < 0.75 even at 8% story drift ratios. For the building under analysihich was designed
using the strong-column-weak-beam assumption, only ndaterioration in stiffness and strength
of columns is expected, and disregarding these effectshaileé no significant impact on the re-
sults. However, for buildings consisting of slender colgithis assumption may not hold and the

effect of deterioration of the strength and stiffness ofdbkimns should be evaluated.

Zero-Length vs. Finite-Length Plastic Hinge Elements

Model idealizations for nonlinear structural analysis eflms range from phenomenologi-
cal models, such as concentrated plasticity models and-&h&ment distributed plasticity beam-
column elements, to complex continuum models based on {sigass or solid finite-elements. In

the concentrated plasticity models (Giberson 1969), neali zero-length springs are discretized
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at both ends of a linear-elastic beam-column element. Thkseents have been recently pro-
posed as the main method for estimating seismic demandsglaad Krawinkler 2005; Medina
and Krawinkler 2005; Haselton and Deierlein 2007) and aegtieferred modeling approach in the
Applied Technology Council ATC-72 modeling guidelines posed recently (PEER/ATC 2010).
Considering that zero-length models have been widely useabdel the seismic performance of
buildings, in this work they are used as a reference, andethidts obtained using the finite length
plastic hinge elements are compared with those to ascén@inaccuracy.

Scott and Fenves (2006) proposed a novel approach for mgdadinlinear behavior of frame
structures based on a force-based finite-length plastgehiream-column elementbgam with
hingeg which overcomes issues related to localization phenorobsarved in distributed plastic-
ity beam-column elements (Coleman and Spacone 2001). dfartre, finite-length plastic hinge
elements can model plastic hinge length explicitly and sspahe behavior of beam in the span
from that of beam-column connections. Compared to zergtlesprings, finite-length plastic
hinge elements allow faster model development due to thecteuh in the number of nodes and

elements.

Elasto-plastic Model with Kinematic Hardening vs. Biliméaodel With Deterioration

Steel structures are traditionally modeled consideringlasto-plastic behavior with kinematic
hardening, accounting for Bauschinger effect. Howevetipguan earthquake, structural elements
are subjected to large inelastic cyclic deformations whéad to deterioration of both strength
and stiffness properties of components, affecting theallvsiructural performance under seismic
loading.

In the present work, a modified version of the Ibarra-KrauenK2005) phenomenological
model, applicable to any force-deformation relationsigpemployed to simulate beam behavior
and compared to an bilinear model with kinematic hardenligs model was used by Lignos and
Krawinkler (2011) to model the moment-rotation relatiopsdf plastic hinges in steel elements.
The model considers strength and stiffness deterioratiefined in terms of element geometry,

material properties, and cross-section geometry.
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The model by Lignos and Krawinkler (2011) defines a mometdtian relationship and, con-
sequently, can not be directly applied when a finite lengésgd hinge is considered, which re-
qguires the use of a moment-curvature relationship. Bas¢deonmoment-rotation model described
above, it is possible to define the moment-curvature- Y model by scaling the moment-rotation
backbone curve, as well as, the loading and unloading rulegrms of the length of the plas-
tic hinge, L,,, resulting in the model presented in Figure 3. This plasitigé moment-rotation
model is based on the assumption of a double curvature dafamm which leads to an elastic
stiffness of6 £1/L. When a finite length plastic hinge element is used, a plagtige length of
L, = L/6 should be used to recover the exact solution for the case péd-fixed beam column
element (Scott and Ryan 2013). All other model parametersiafined as proposed in (Lignos
and Krawinkler 2011; Lignos and Krawinkler 2012). Axial asldear behavior is assumed to be
linear elastic. Joint shear deformations (e.g. Gupta araviKrkler 1999) and fracture due to low
cycle fatigue (Lignos et al. 2011) are not included in thiskvo

For the building examples analyzed, the axial load expdotddvelop in beams is very low and
the interaction between axial load and bending moment imea significantly less relevant than
the deterioration of stiffness and strength which is exgtd occur in the beams. For this reason,
the interaction between axial load and bending momentiegi#sded for the beams. The modeling
assumptions made in this work are intended to provide aivelgtsimple structural model and,
at the same time, accurately simulate the deterioratiom@fsteel members to collapse. Thus,
the modeling of some building components was neglectedasetimodels, such as beam-column
joints, column base plate connections, and partially ags#d connections. The influence of these
components in the robustness of steel structures to cagradents is worth studying in future

works.

M odd validation

The four models described were compared to those developéddn and Cornell (2000),
also designated adodel M1 (FEMA355C 2000), for the same buildings. The models in Luco
and Cornell (2000) were developed using the softWARAIN-2DX (Prakash et al. 1993). The
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models implemented herein were developed in OpenSees.|d@mer”ts used in thBRAIN-2DX
models correspond to concentrated plastic hinge modela éindar P-M interaction surface was
assumed for compressive axial loads greater thes”,. While the model in FEMA355C (2000)
considered this simplified bilinear P-M interaction sugfaihe P-M interaction surface considered
herein is obtained implicitly during the analysis since ¢bkimns are modeled using fiber-section
nonlinear beam-column elements. A representation of thMeiRteraction curve (at the section
level) is presented in Figure 2(d).

The model validation performed herein includes the congparof results for both a nonlinear
static pushover and nonlinear dynamic time-history angalyBurthermore, the buildings periods
available in the literature also correlate well with the ®onbétained in the FE models developed in

this work, as shown in Table 2.

Nonlinear Static Analysis

The nonlinear static analyses were carried out considénmfpur models described in Table 1
and compared to those presented in FEMA355C (2000) and 128&P]. The lateral load pattern
applied is proportional to the first mode of vibration of eattucture.

Figures 4, 5, and 6 show the pushover curves for each of tiee twildings and the four
finite element models used. For reference, these figureslatso the design base shear quantified
according to the allowable stress design method (ASD) o1 €82t Uniform Building Code (UBC
1994). It can be seen from these figures that the overall n@tdhe pushover curve are quite
good for the models with hardening . In the elastic range ffferdnces for all models to the
results presented in FEMA355C (2000) are small, increadightly with the increase in building
height. In spite of the differences for the 20-story builgllveing discernible in the elastic range,
as shown in FEMA355C (2000), such variations are expectbéeconsequence, for example, of
alternative joints models. For all buildings, the modelssidering an elasto-plastic with hardening
constitutive law (FMRH, FZLH, and FEMA355) presented a &amibehavior, showing that the use
of beam with hinges models does not affect significantly #seits obtained. For the two taller

buildings, a softening behavior is observable in all modedsa result oP — A effects. When the
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bilinear model with deterioration is considered (FMRB arfl B) the post peak force decreases
faster, as a result of the strength deterioration consitienrethe beams. As a consequence of the
strong-column weak-beam design, plastic hinges formyirstthe beams. The use of the bilinear
model with deterioration (FMRB and FZLB) leads to a fastesrdase in the post peak base-shear
force, as a result of softening in the beams and correspgrmtiange in column moment gradient,
once the plastic hinges form.

In summary, the results of the pushover analysis show tleatnibdels using an elastic-plastic
constitutive law lead to results similar to those descrilpdeEMA355C (2000). Secondly, the use
of zero-length and beam with hinges does not affect the tesignificantly, allowing the use of
the finite-length plastic hinges model in subsequent argli#nally, the use of the bilinear model

with deterioration for the beams produced larger strengdiuction.

Nonlinear Dynamic Time-History Analysis

To compare the results described in Luco and Cornell (20@@)tihose resulting from the mod-
els used in this work, the structural response is evaluatasidering forty (twenty two-component
records) SAC Steel Project LAO1-LA40 earthquake recordstyfmonlinear dynamic time-history
response analyses were performed for each model and edshtbfé¢e buildings. Obtained results
were compared to those presented by Luco and Cornell (200&)ms of maximum interstory drift
ratio. The mean relative errors obtained for each model aildibg are presented in Table 3. For
the models considering an elastic-plastic behavior (FZibdl EMRH) the results are relatively
close, with a maximum mean error of 7.4%. Correlation betwtbe floor levels where these
interstory drift ratios are observed for the models devetbpy Luco and Cornell (2000) and the
ones shown in this paper was also quite good (Ribeiro et 420

The model validation performed is considered to be suffi¢mrthe FZLH and FMRH models.
Even though no direct validation of the FZLB and FMRB modelthvexperimental results is
possible, the definition of component degradation is coesisvith experimental results and P-M
interaction is considered explicitly. Considering theauages of the finite length model described

and to include realistic effects of beam properties detation in the analysis, the FMRB model
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is used in the subsequent analyses.

ANALYSIS DESCRIPTION

To evaluate the increased probability of failure assodiatith the occurrence of an aftershock
following a major earthquake, a simulation procedure wapleyed that considered as random
variables the spectral accelerations of the mainshockirenaftershock corresponding to the initial
fundamental period of the structure. Although the occureerate and distribution of aftershocks
are correlated to mainshocks magnitude (Yeo and Corneb2®0eir amplitude, frequency con-
tent, and duration are very difficult to simulate. Thus,faial mainshock-aftershock sequences

are used herein, following Luco et al. (2011), Ryu et al. @0&nd Li et al. (2012).

Numerical and Computational M ethods

The mainshock and aftershock are modeled considering & $étawcelerograms, each scaled
independently, representing different shaking inteasitFor performing the incremental dynamic
analysis (IDA), each of the 10 mainshocks considered igdcHD times, by multiplying the corre-
spondent time-history record by the objective spectratkecation,S™ (77 ), divided by the original
ground motion spectral acceleratia#f; (T}), corresponding to a stratified sampling of the spec-
tral accelerations. Each of the mainshocks can be followedn® of the 10 aftershocks. For
each aftershock an IDA is also performed for at least 20 sitgmevels. Thus, in this analysis
the aftershock ground motion is incrementally scaled (bytipiying the time-history record by
Se(Ty)/SEM(Ty)), similarly to the procedure of a regular IDA, performing anmber ofn back-
to-back analysis, whene depends on the aftershock ground motion, the building baivadyzed,
and the damage state at the end of the mainshock. Each aftkrsitremental dynamic analysis
(AIDA) is computed considering the polarity of the aftersk@positive and negative directions).
A 30s time interval of free-vibration was considered betw#ee end of the mainshock and the
application of the aftershock ground motion records. Thisation was deemed sufficient after a
preliminary study that showed that the maximum nodal vé&oabserved during the last second
of this 30s interval was, for all buildings, smaller than%.6f the peak velocity observed for the

mainshock leading to highest drifts short of collapse.
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For each run, the Newton-Raphson method is used for solagonlinear system of equa-
tions at each time step. To analyze the structure up to torgrdrift ratios of 10%, a convergence
study of the horizontal roof peak displacement and horedgmak floor absolute acceleration as
a function of the integration time step was performed. Tsteps considered were 0.01s, 0.005s,
0.002s, 0.001s, 0.0005s, 0.0001s, and 0.00005s. It wasveldsthat a time step of 0.002s was
sufficiently small to produce negligible errors (when congoito the 0.00005s) and no significant
changes in the response were observed when smaller tinsvegep used.

To reduce the total computational time required for obtagrall the results for these large num-
ber of runs, an embarrassingly parallel computing fram&was implemented. The implemented
framework makes use of the OpenSees (v2.4.0, release Hgix#ial version and a batch-queue
system called HTCondor (v7.8.0) (Thain et al. 2005). HTGwons a specialized batch system for
managing computational-intensive jobs. To make the masbéisvo student computer centers of
Civil Engineering Departments at both Oregon State Unitye(®SU) and Universidade Nova de
Lisboa (UNL), two HTCondor pools were created, consistihg@}-cores at OSU and 96-cores
at UNL. Since the research team was geographically dispetseninimize time needed for sim-
ulation data transfer and post-processing of the numamsailts, a OSU-UNL web shared folder

was created using a commercial application.

Ground Motion Records

The ground motion records used in this study were selectad the set of forty SAC Steel
Project LAO1-LA40 earthquake records mentioned abovesidening earthquakes with the high-
est peak ground acceleration. These records were obtaiowedréal and simulated ground mo-
tions, scaled so that their mean response spectrum matold997 NEHRP design spectrum,
as reported by Somerville et al. (1997). The time historegd bs Angeles are all derived from
recordings of shallow crustal earthquakes on soil cate@oryhe ten SAC records selected for
this study are characterized by a moment magnituje between 6.0 and 7.4, duration between
29.9s and59.9s, and peak ground acceleration betw@eiy and1.3g. The ten E1 to E10 ground
motion records used correspond to SAC earthquakes: LA118L. AA19, LA21, LA26, LA28,
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LA30, LA31, LA36 and LA37.

In order to quantify the probability of failure of the struegs, the spectral accelerations at Los
Angeles are estimated from the hazard curves generatetidd2G08 National Seismic Hazard
Mapping Project (NSHMP) (Petersen et al. 2008) for soil tipélrhese are approximated by a
log-normal distribution, under the mild assumption that findings of Jayaram and Baker (2008)

also hold for the modified ground motion records.

DETERMINISTIC NONLINEAR DYNAMIC TIME-HISTORY RESPONSE AN ALYSIS

This section presents results obtained for representatiméinear dynamic time-history re-
sponse analyses, selected from those described above. efiioenpance of the LA3 building is
assessed considering a mainshock ground motion spectelkeeation ofl.2g and0.9¢g for the
aftershock spectral acceleration. Earthquake grouncomet1 and E4 are used as the mainshock
and aftershock, respectively.

Figure 7 shows the time-history response of the LA3 buildmterms of floor acceleration,
roof drift ratio, and interstory drift ratio during four idéfied time-periods (TP1-TP4): (i) TP1 -
duration of the mainshock; (ii) TP2 - free vibration peridd30s after the mainshock; (iii) TP3 -
duration of the aftershock; and (iv) TP4 - free vibrationipérof 30s after the aftershock. This
figure also shows the floor accelerations and the interstoftyrdtios at the instants when peak
interstory drift ratio is attained during the mainshock @he aftershock, respectively. The peak
interstory drift ratio during the mainshock is 4.1% at #iéstory. In Figure 8 two moment-rotation
responses are shown at two different elements. It is impbtitenote that during the aftershock the
deformations are much larger, especially for beams, whesgonse go beyond the peak strength,
i.e. a softening response is observable.

The deformed shape of the LA3 building at the peak deformatistant is shown in Figure 9.
This figure also shows the deformed shapes of the LA9 and LA#@ibgs, in which, for repre-
sentative analyses, the size of the circles illustrate ¢fagive scales of rotations recorded at the
end of each element. For the LA3 building, almost all beansdradl gone into the inelastic regime

during the mainshock. Although the damage on the structuheand of the mainshock is consid-
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erable, as it can be inferred through the number of plastigds formed during the mainshock, the
residual deformation is not significant (see Figure 7). Atitistant when the peak interstory drift
ratio is recorded during the aftershock, columns on the i@ty have formed plastic hinges in
both ends, which indicates that an undesirable soft stoghar@sm is formed. Four plastic hinges
have also formed in second story columns and two in the thied &ffects of higher modes in the
instants where peak interstory drifts are recorded can bergbd in the LA9 and LA20 building

response especially during the aftershock (see Figure 9).

AFTERSHOCK INCREMENTAL DYNAMIC ANALYSIS

For each mainshock-aftershock combination and each naskshtensity, an aftershock in-
cremental dynamic analysis (AIDA), for increasing aftersh intensities, is performed in order
to compute the failure probability under this sequence ehéy. In Figure 10, AIDA curves are
shown for four mainshock ground motion spectral accelensti For sake of brevity only results
from the LA3 building are shown herein. Earthquake E5 is @m®red as mainshock. Ten AIDA
curves are then computed for the ten possible aftershockea€h mainshock intensity, the results
obtained show the variation of the peak interstory drifiorat, ..., as a function of the aftershock
ground motion spectral acceleration.

The value of 10% of interstory drift ratio is considered totbe threshold for failure (Baker
2007). Higher values of interstory drift ratio will lead t@lation of the performance threshold and
thus be considered as failure. Previous probability-baseties (e.g., Baker 2007) have concluded
that 10% IDR is an adequate threshold to define collapse im@eriaal framework. Although
FEMA356 (2000) defines 5% IDR for collapse prevention, talgtthe structural robustness (i.e.,
the capacity of the structure to sustain damage) this largkre allows for the assessment of
the nonlinear structural behavior under very large defoiona, which contributes to the accurate
evaluation of the reliability-based structural robusgieg allowing for more accurate computation
of the probability of failure.

Figure 10 shows the AIDA curves illustrating the decreaseapacity with the increase in

the mainshock intensity. For example, the aftershock Edrmgtonotion spectral acceleration that
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leads the structure to failure is7¢g when the mainshock ground motion spectral acceleration is
1.2g, whereas when the mainshock ground motion spectral aatieleris 2.4¢g the aftershock

spectral acceleration that leads to failuré.isg.

ROBUSTNESS ASSESSMENT RESULTS

Figure 11 shows the lowest aftershock spectral accelerdiiat leads the LA3 building to
fail (0,... = 10%) versus the mainshock spectral acceleration. The figuresponds to results
obtained using earthquakg, for both the mainshock and the aftershock. It can be seerfdhat
lower intensities of the mainshock there is little impachwdinshock on the aftershock spectral
acceleration that leads to failure. Additionally, for ieasing mainshock intensities, the aftershock
spectral accelerations that lead to failure are reducede $he mainshock induced damage reduces
the capacity of the structure to sustain additional damagetad the aftershocks. Since the same
accelerograms are used for generating both mainshock terdladck, application of a mainshock
only or an aftershock following a low intensity mainshock (j causing no damage to the structure)
are equivalent. Consequently, the lowest mainshock sgeatceleration leading to failure is
identical to the (minimum) aftershock spectral accelerativhich leads to failure for very low
mainshock intensities.

In Figure 12 the median aftershock ground motion spectrlacation that leads the structures
to failure is represented as a function of the median maitisgoound motion spectral accelera-
tion. A similar trend to that described for Figure 11 is olvabte here, but now for the entire
set of AIDA analyses considered. Figure 12 also shows tha@anedsidual displacements after
application of the mainshock. The results show a significantelation between the increase in
residual displacements and the reduction in the aftersleackng to failure, indicating that resid-
ual displacements could be used as a measure of damage.

In Table 4, the probabilities of failure and the correspoagdieliability indices are presented
considering mainshock, aftershock and mainshock+aftekshThe redundancy indicatos,, in-
troduced by Frangopol and Curley (1987) is used to compdrestaess of the three buildings.

The reliability indices obtained considering only the nsuack are very similar across structures,
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showing that the design procedure applied is consistenteMer, the probability of failure consid-
ering aftershock and mainshock-induced damage increasels more significantly for buildings
LA3 and LA20, than for LA9.

The results obtained for the redundancy ind&xshow that LA9, although less safe than LA3
and LA20 under a mainshock alone, is significantly more robiisese results can be correlated
to the LA9 building ability to distribute damage over its ieatheight of the building as shown in

Figure 9.

CONCLUSIONS

In this paper, a reliability-based robustness assessmetoaiology for steel moment resist-
ing frame structures subjected to post-mainshock seiswante was proposed and exemplified.
Robustness is computed through comparison of the struicligbility index under a mainshock,
considering the undamaged structure, and under an aftdsipplied to the mainshock-damaged
structure. Probabilities of failure are computed throuigiugation, using nonlinear finite element
models that explicitly reproduce damage induced by stroagiag. The methodology is exempli-
fied using back-to-back mainshock-aftershock nonlineaadyic time-history analyses.

For structures expected to form strong-column weak-beduoréanechanisms, a finite element
modeling approach was presented in which columns were raddesing force-based fiber-section
distributed plasticity elements and beams were modeletyusirecently proposed phenomeno-
logical bilinear model with deterioration. The models usedthe columns directly account for
axial load- bending moment interaction. For the beams, #tertbration behavior defined for the
plastic hinges is fundamental for accurate performancesassents under mainshock-aftershock
sequences. The finite-length plastic hinge element is usedalits ability to model plastic hinge
lengths explicitly and to separate the behavior of beam ensihan from that of beam-column
connections.

Two-dimensional models of a 3-, 9-, and 20-story steel lnggl, designed for the SAC project
for Los Angeles, California, were implemented in the OpasSeamework. For simulating the

mainshock-aftershock sequence of events, ten differemtsiack and aftershock ground motion
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records were combined. The spectral accelerations at fo@aizl periods of the buildings were
used to simulate mainshock and aftershock intensitieddHatv lognormal distributions. "Back-
to-back" mainshock-aftershock incremental dynamic asesdyare performed for each combination
of mainshock-aftershock, while failure is defined in termhghe exceedance of an interstory drift
threshold. It is worth noting that the results presented heg sensitive to the frequency content of
the ground motions (both aftershock and mainshock), p&lmagation due to cyclic deterioration
in stiffness from the mainshock, and the definition of thedamental period of the frame struc-
tures. These important factors are not considered hemihasidiscussed in Faggella et al. (2013)
can only be adequately accounted for by using a vector-gague@und motion intensity measure.
The use of vector-valued ground motion intensity measwaésdutside the scope of this paper.
Application of the reliability-based robustness assesdgrekeowed the importance of consid-
ering the aftershock in the evaluation of safety of struggurnder seismic events, as a significant
increase in failure probability was observed when mainktadtershock sequences were consid-
ered. Moreover, this study showed that the LA9 buildingh@ligh initially more susceptible to
failure than the LA3 and LA20 buildings, presented signiiity higher robustness for the af-
tershock eventsi. = 41.52 for LA9 versusp, = 19.32 and 3, = 11.31 for LA3 and LA20,
respectively). In fact, robustness is defined in terms ofrtbeease in probability of failure consid-
ering damage, and LA9, although less safe than LA3 and LA2i@ua mainshock alone, presents
a lower reduction in reliability index when cascading egesute considered. Thus, it can also be
concluded that the probabilities of failure for multiplezads requires explicit modeling of the
hazards and simulation methods need to accurately modelatimage induced by the cascading

hazards.
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Table 1. Models description

Model Columns _ Beams .
Element | Material Element Material
formula- formulation

tion
FZLH Elasto-plastic
Zerodength with
Force- (Concentrated Hardening
FZLB based plasticity) Bilinear with
fiber- Elasto- deterioration
. plastic with -
sch_on hardening (Bilin) :
FMRH distributed Elasto-plastic
plasticity Finite-length with
plastic hinge Hardening

FMRB (Modified- Bilinear with

Radau) deterioration
(Bilin)
26
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Table 2. Periods of vibration for OpenSees models and FEMA35  5C model

LA3 Building LA9 Building LAZ20 Building
OpenSees FEMA355C | OpenSees FEMA355C | OpenSees FEMA355C
15t Mode 1.04s 1.03s 2.40s 2.34s 4.10s 3.98s
2" Mode 0.34s 0.33s 0.90s 0.88s 1.40s 1.36s
37 Mode 0.18s 0.17s 0.52s 0.50s 0.81s 0.79s
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Table 3. Mean relative difference in peak interstory drift r

atio to model M1
(FEMA355C 2000)

Buildin Model
9 "EZLH TEMRH | EMRB | EZLB

LA3 46% | 4.0% | 56% | 8.7%
LA9 45% | 51% | 6.4% | 8.4%
LA20 74% | 6.3% | 9.3% | 9.8%
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Table 4. Probabilities of failure, reliability indexes and
ated with the scenarios considered

redundancy index associ-

Scenario LA3 Building | LA9 Building | LA20 Building
Probability | 3.56 x 107* | 7.22 x 107* | 6.17 x 10~*
of failure
Mainshock (pr1)
Reliability 3.38 3.19 3.23
index ()
Probability | 1.02 x 1073 1.66 x 1073 2.23 x 1073
of failure
Mainshock J Aftershock (ps3)
Reliability 3.08 2.94 2.84
index (5)
Probability | 6.64 x 10~* 9.39 x 1074 1.61 x 1073
of failure
Aftershock | Mainshock )
Reliability 3.21 3.11 2.95
index ()
Redundancy index. 19.32 41.52 11.31
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